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Abstract. The test results from non-destructive and destructive field testing of a three-span deteriorated
reinforced concrete slab bridge are used as a vehicle to examine the reliability of available tools for finite-
element analysis of in-situ structures. Issues related to geometric modeling of members and connections,
material models, and failure criteria are discussed. The results indicate that current material models and
failure criteria are adequate, although lack of inelastic out-of-plane shear response in most nonlinear shell
elements is a major shortcoming that needs to be resolved. With proper geometric modeling, it is possible
to adequately correlate the measured global, regional, and local responses at all limit states. However,
modeling of less understood mechanisms, such as slab-abutment connections, may need to be finalized
through a system identification technique. In absence of the experimental data necessary for this purpose,
upper and lower bounds of only global responses can be computed reliably. The studies reaffirm that suc-
cess of finite-element models has to be assessed collectively with reference to all responses and not just a
few global measurements.
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1. introduction

Linear and nonlinear finite element analysis of structures involves geometric modeling of
members and connections, simulation of damage and deterioration (if present), and selection of
appropriate constitutive relationships and failure criteria. In the past two decades, studies of
these issues have led to new developments such as layering concept, new failure criteria, ro-
tating crack model, new computational tools and algorithms, etc. Most of these concepts have
been verified and calibrated based on experimental data from individual elements or simple struc-
tural subassemblages. Full-scale field tests of in-situ structures into nonlinear range of behavior
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are rare, especially when the measured data are used for gaining further insight into modeling (e.
g., Milford and Schnobrich 1984, Cluass 1989, van Mier 1987).

As part of a coordinated experimental and analytical research on performance and load-car-
rying capacity of constructed facilities, a 38-year old reinforced concrete slab bridge was tested
nondestructively and destructively in the field (Aktan, et al. 1992, Miller, et al. 1994). In an ear-
lier work reported by the authors and others (Shahrooz, et al. 1994), preliminary models were
developed in an attempt to correlate the load-slab deflection curve at one location. Although the
correlation efforts were inconclusive, a number of critical parameters and modeling issues were
identified that would influence nonlinear response of reinforced concrete slab bridges. In the
present paper, the shortcomings of the earlier study are remedied. A system identification tech-
nique in conjunction with the available global, regional, and local experimental data is utilized
to develop and calibrate analytical models for connections and less understood mechanisms. The
reliability of existing finite element tools for analysis of in-situ structures in the linear and non-
linear range is explored. Based on modeling insights gained from the reported analyses, re-
commendations for predictive analyses of similar bridges are made.

2. Description of test bridge and experimental program
2.1. Bridge geometry
The test bridge was a 38-year old, three-span, reinforced concrete, skewed slab bridge (Fig. 1).

The connection between the slab and abutments consisted of standard shear keys. The slab and
pier caps were of monolithic construction, with shear keys between pier caps and piers. The long-
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Fig. 1 Test bridge and connection details.
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Fig. 2 Slab reinforcement.

itudinal bars in the piers extended through the shear key into the pier caps. The piers were set on
footings cast on the bedrock. The two-way reinforcing bars were located within top and bottom
of the slab and parallel with the slab edges. The reinforcement layout is illustrated in Fig. 2.

In general, the condition survey indicated no severe damage on the bottom side of the slab
with the exception of small cracks and minor spalling. The roadway (6,000 mm wide at the cent-
er) was still in good condition, but major damage was concentrated on the top of the slab along
the two shoulders over 1,830 mm to 2,440 mm wide regions. The slab reinforcing bars had lost
small cross-sectional area due to corrosion; several of the top slab reinforcing bars were exposed,
often debonded over a large portion of their lengths; up to 76 mm. of the concrete had spalled
or deteriorated; and the quality of the concrete was considerably poorer than that in the roadway.
Visual inspections and non-destructive modal tests indicated that the east shoulder was generally
in a much worse condition than the west shoulder.

2.2. Material properties

Based on standard tests conducted on cores taken from the bridge deck, and No. 9 (diameter=
28.7 mm.) and No. 6 (diameter=19.1 mm.) reinforcing bar samples, the basic material properties
were determined. Note that attempts to core the shoulders failed due to the very poor quality of
the concrete, and the concrete properties were measured based on cores obtained from the road-
way. The average values of the measured properties are summarized in Table 1.

2.3. Experimental program

The experimental phase of the research consisted of nondestructive (including modal and
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Table 1 Average measured material properties

Material Modulus of Compressive Yield stress Ultimate stress
elasticity (MPa) strength (MPa) (MPa) (MPa)
Concrete 34,000 51.7 - -
No. 6 bars 199,800 - 358 725
No. 9 bars 199,800 - 345 680

truck load tests) and destructive testing (Aktan, et al. 1992, Miller, et al. 1994). The truck load
tests were conducted by placing up to three single axle dump trucks (each weighing 142kN) in
six different positions, and measuring the vertical deflections of the south end of the bridge deck
along longitudinal and transverse grid lines parallel to the edges.

The bridge was tested to failure by loading the south span. The loads from four hydraulic ac-
tuators (which were reacting against rock anchors) were transferred to the bridge deck by means
of two concrete blocks designed to produce a uniform pressure on the deck. The loads were ap-
plied at equal increments of 142kN (71kN on each block). After a series of low level tests (the
total applied load during these tests was 142kN), the destructive tests were completed within
two days. In the first day, the bridge was loaded up to 2,848kN, and then unloaded. The next
day, the bridge was loaded to 3,130kN beyond which the bridge failed in a brittle manner. The
final failure appeared to have begun as a shear failure in the shoulder region. The failure in the
deteriorated area then propagated into the sound areas of the slab as a dynamic front. The slab
reinforcing bars had just yielded at a few locations when the bridge failed. The flexural capacity
of the slab had not been developed at failure.

3. Correlation studies and modeling issues

A system identification approach was followed to develop an analytical model that could suc-
cessfully replicate the measured responses. As a first step, linear finite element analyses were
used to construct geometric models of slab-pier cap-pier connection and slab-abutment con-
nection; and to find a simple method for incorporating the damage along the shoulders. These
analyses formed the basis for constructing the nonlinear finite element models.

4, Linear finite element analyses
4.1. Overall geometric model

The bridge was modeled by SAP90 (Habibullah and Wilson 1989) as shown in Fig. 3. An iso-
tropic shell element, which includes plate bending and membrane actions, was used to model
the bridge deck. Variation of Poisson's ratio between 0.15 and 0.2 did not significantly affect
the computed results (Ho and Shahrooz 1993), and it was taken as 0.2. The average measured
concrete modulus of elasticity was used in the analyses.

4.2. Simulation of damage
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Fig. 3 Linear finite element model.

The potential slippage of top reinforcing bars in the deteriorated slab in conjunction with poor
quality concrete would reduce the slab stiffness in the shoulder regions. Detailed experimental
data about bond-slip characteristics of the reinforcing bars and local variation of concrete pro-
perties in the damaged shoulders were not available. In order to avoid a trial and error method
for assigning different stiffnesses to the damaged and undamaged portions of the bridge deck,
the damage was approximately simulated by reducing the slab thickness in the shoulders ac-
cording to available field measurements. The slab thickness along the eastern (zone A in Fig. 3)
and western (zone C in Fig. 3) shoulders was reduced by 76 mm. and 25 mm., respectively.
The nominal thickness of 438 mm. was used for the driving lanes (zone B in Fig. 3).

4.3. Modeling of slab-pier cap-pier connection

A number of methods may be followed to model the slab-pier cap-pier connection. Two
models are considered herein, and are referred to as “pier model 1" and “pier model 2" - refer
to Fig. 3. In both models, the piers are modeled by frame elements. A rigid end zone equal to
the pier cap thickness plus half slab thickness is specified at the top of each of these frame ele-
ments. In pier model 1, a horizontal frame element is used to represent each pier cap, and it is
connected to the shell elements which model the bridge deck. The properties of this frame ele-
ment are computed according to the cross-sectional dimensions of the pier cap. In pier model 2,
the horizontal frame element (used to model pier cap in pier model 1) is replaced by a thicker
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Fig. 4 Effects of slab-pier cap modeling on deflection profiles for three-truck load test.

shell element, as shown in Fig. 3. The width and thickness of the thicker shell elements coin-
cide with the corresponding pier cap dimensions.

Using these two models, the deflection profiles for various truck load tests were computed
and compared to the measured data. In all the analyses, the damage on the shoulders was in-
corporated as discussed previously, and the slab-abutment connections were modeled by at-
taching shell elements nodes directly to hinge supports, i.e., abutment model 1 shown in Fig. 3.
A more detailed discussion regarding modeling of slab-abutment connection will be provided in
the next section. The results along instrument line 3 and line D for a case with three trucks are
summarized in Fig. 4. This particular configuration of the trucks is used for illustration herein as
it produces the largest deflections. The deflection profiles are clearly not affected by how the
slab-pier cap-pier connection is modeled. Hence, in all the subsequent analyses pier model 1 is
used because it is simple yet it does not adversely affect the response. This observation is also
valid for nonlinear finite element analyses because the experimental data from the destructive
test do not suggest inelastic action in the piers and pier caps. The observed poor correlation of
the experimental deflection profiles is attributed to problems associated with modeling of the sla-
b-abutment connection, as discussed next.

4.4. Modeling of slab-abutment connection

Slab-abutment connections are commonly modeled by attaching shell elements nodes, which
are located at the bridge deck mid-depth, directly to hinge or roller supports. This model fails to
recognize that shear keys at slab-abutment connection are located at the bottom of the slab and
not at its mid-depth. Even if the bridge deck is restrained horizontally by the shear keys at the
abutment level, the rotation of the bridge deck would result in an apparent horizontal movement
at the mid-depth of the slab where the shell elements are located. This mechanism is illustrated
in Fig. 5, and needs to be modeled.

Four slab-abutment connection models were considered (Fig. 3). In abutment model 1 and
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model 2, the shell elements are supported by hinges or rollers, respectively. In an attempt to
reproduce the expected behavior shown in Fig. 5, two other models were considered. Abutment
model 3 consists of rigid links that connect the shell elements to hinges located at elevations cor-
responding to the shear keys. Abutment model 4 is similar to abutment model 3 except that the
rigid links are replaced by frame elements with cross-sectional properties equal to those from a
portion of the slab above the shear key (i.e., the cross hatched region in Fig. 5). In all the
analyses, the damage along the two shoulders was modeled as discussed before, and pier model
1 was used to represent the slab-pier cap-pier connection.
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Fig. 6 Effects of pier-abutment modeling on deflection profiles for three-truck load test.




266 I-Kang Ho and Bahram M. Shahrooz

Fig. 6 indicates that abutment model 1 and model 2 overestimate the measured deflections,
but the two results are not significantly different. The computed deflections from abutment
model 3 and model 4 are also close. The analytical deflection profiles from these two models
follow the experimental data more reasonably. Based on the results shown in Fig. 6 and those
for other load cases and instrument lines reported elsewhere (Ho and Shahrooz 1993), abutment
model 4 appears to most reliably simulate the stiffness of the slab-abutment connection under
service loads. A plausible enhancement to abutment model 4 is to introduce rotational springs at
the hinges. Nevertheless, parametric studies conducted by Ho and Shahrooz (1993) do not sug-
gest that the computed responses are affected by lack or presence of such springs.

5. Nonlinear finite element analyses
5.1. Geometric characteristics of model

The computer program POLO-FINITE (Lopez, et al. 1987) was used to conduct the nonlinear
finite element analyses. The bridge deck was modeled by a 9-node degenerate isoparametric
shell element with a nonlinear material model (Milford and Schnobrich 1984). An overall view
of the model is shown in Fig. 7. According to the observations made from the linear analyses,
the damage along the two shoulders was incorporated by reducing the slab thickness. The slab-
pier cap-pier connections were modeled according to pier model 1. Frame elements with elastic
material model were used to represent the piers. As described later, two models were used to
simulate the slab-abutment connections.

5.2. Slab reinforcement and steel material properties

The stress-strain curve for the reinforcing steel in tension and compression was idealized as
elastic-strain hardening, with the critical values set equal to the average measured values. A
smeared model was used to represent the slab reinforcing bars which were quantified by the
direction of bars and reinforcement ratio at each Gauss point of the shell elements. The slab rein-
forcement in the damaged and undamaged regions were assumed to have perfect bond. Al-
though this assumption is reasonable for the bars located in the driving lanes, the shoulder rein-
forcing bars are expected to exhibit local slip. The necessary experimental data were not
available to simulate the bond slip in the analyses. Dowel action of the reinforcing bars across
cracks was not modeled.

5.3. Concrete material properties

The nonlinear compressive behavior of the concrete stress-strain relationship was incorporated
by using a model proposed by Milford and Schnobrich (1984), as shown in Fig. 7. The values
shown in this figure are based on the average measured properties. A bilinear function similar to
that suggested by Gilbert and Warner (1978) was used to assess post-cracking behavior. Other
available models (e.g., Vecchio-Collins 1986, Okamura, et al. 1985) exhibit residual tensile
strength at very large concrete tensile strains. Such residual stresses are not reasonable for a rein-
forced concrete slab with little or no confinement particularly if it is deteriorated. In the bilinear
function, the strain at which the tensile stress drops to zero was taken as 10 times the cracking
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Fig. 7 Nonlinear finite element model.

strain. Consistent with previous studies (Massicotte, et al. 1990, Mau and Hsu 1987, Gilbert and
Warner 1978, and Chen 1982) the concrete tensile strength was assumed to range from

0.33Vf’, (2.41 MPa) to 0.41Vf’. (2.98 MPa), where f, is the concrete compressive strength
expressed in MPa. A rotating crack model (Gupta and Habibullah 1982) was used in which the
directions of cracks always remain normal to the direction of the principal strain.

Shear transfer in concrete across cracks may be simulated by reducing the value of shear mo-
dulus after formation of cracks. This can be accomplished by a reduction factor commonly ref-
erred to as shear retention factor which reasonably ranges between 0.1 and 0.5 (e.g., Barzegar
1989). Parametric nonlinear analyses (Ho and Shahrooz 1993) did not show any appreciable
change in the global responses if the shear retention factor is taken as 0.25 or 0.4. In all the
analyses, this factor was set to 0.25.

A four-parameter failure criterion defined by a triaxial stress function (Hsieh, et al. 1982) was
used. This function is

J .
F(I,J,0)=A -2 +B\NJ,+Co,+DI,— . =0
where f'=concrete compressive strength, o,=the principal stress, /,=the first stress invariant, and
J,=the second deviatoric stress invariant. By curve fitting to the experimental data by Kupfer

and Gerstle (1973), Gallegos-Cazares and Schnobrich (1988) found the values of A, B, C, and
D to be 2.0108, 0.9714, 9.1412, and 0.2312, respectively.

5.4. Initial model 1

Abutment model 4 (see Fig. 3) was used as a reasonable initial attempt to simulate the slab-
abutment connections. Modeling of slab, piers, and slab-pier cap-pier connection; and material
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constitutive relationships are as discussed previously.
The load-deflection at point A (refer to Fig. 7 for its location) is compared with the ex-
perimental data in Fig. 8. The value of concrete tensile strength does not significantly influence

the computed responses. A higher concrete tensile strength (0.41Vf ’.=2.98 MPa) expectedly

produces a slightly stiffer response. Taking the concrete tensile strength as 0.33Vf ", (2.41 MPa),
a rather good correlation of the experimental strength and stiffness is possible for loads as large
as 2280 kN which corresponds to 73% of the ultimate measured load. Beyond this point, the
computed load-deflection deviates from the experimental data. The deflection profiles along in-
strument lines D and 4 shown in Fig. 9(a) confirm this observation. Based on these global meas-
urements, one might be led to believe that the model successfully captures the response of the
bridge up to a total load of 2280 kN. However, a regional measurement such as slab rotation
along the south abutment indicates otherwise. As seen from Fig. 10, not only does the computed
slab rotation at ROT1 (the location is shown in Fig. 7) fail to match the measured rotation, but
it decreases beyond about 1780 kN while the experimental data show a continuously increasing
trend with larger loads. This observation points to the futility of assessing the success of a finite
element model by considering only a few global responses.

5.5. Improved model

Assuming that the shear keys between the abutments and bridge provide sufficient restraint
against horizontal movement, the slab-abutment connection in the initial model was represented
by hinge supports located at the shear key elevations. The horizontal reaction force at the shear
key, particularly at large loads, may exceed the available frictional resistance which in turn can
cause the slab to move horizontally (Zwick, et al. 1992, Miller, et al. 1994). In an idealized
case where the shear key is undamaged and/or the slab corners near the shear key are perfectly
square, the horizontal movement is limited to the available gap between the two components.
Despite obvious difficulties for establishing the level of horizontal movement in actual structures,
the geometric model should allow for such a movement so that the membrane force in the slab
is “regulated”. This regulation will become particularly critical in advanced nonlinear range
when the slab deformations could lead into large membrane forces if the slab is restrained hor-
izontally.

The initial model was revised by using nonlinear horizontal springs which were attached to
rollers at elevations corresponding to the shear keys. The improved slab-abutment model is il-
lustrated in Fig. 7. Based on the observations made for initial model 1, the concrete tensile

strength was taken as 0.33\/?T =2.41 MPa. Due to insufficient experimental data measuring the
movement of the slab at the abutment, a system identification procedure had to be followed to
characterize the springs. Each spring was assumed to have a trilinear load-deflection response as
shown in Fig. 11(a). The loss of stiffness after the first break point is intended to simulate loss
of frictional resistance, i.e., prior to the first break point the springs should act as hinges.
Parametric studies by Ho and Shahrooz (1993) indicate that so long as the initial stiffness (K;)
is large to simulate a hinge, the computed responses are not affected by the exact value of K.
The initial model could reasonably correlate the measured load-deflection, deflection profiles,
and most importantly slab rotation up to a total load of 540 kN (see Figs. 8, 9, 10). Hence, the
initial stiffness was fine tuned so that when the total load on the bridge is 540 kN, the com-
puted displacement in each spring would be approximately 0.12 mm. Other large values of K;
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did not change the results (Ho and Shahrooz 1993). The stiffness after the second break point is
automatically set to zero by the finite-element code. Hence, only the slope of the second seg-
ment and the loads or deflections at the two break points need to be calibrated as described in
the following.

5.5.1. Location of break point No. 1

An analysis was performed by assigning a large value of deflection at the first break point of
each horizontal spring, i.e., 25 mm. By comparing the computed load-deflection, displacement
profiles, and slab rotation with the experimental data at each load increment, the maximum total
up to which a good correlation was still possible could be established. The load in each hor-
izontal spring corresponding to this load step was, then, used to determine the deflection at the
first break point for each spring. The procedure is shown schematically in Fig. 11(b).

5.5.2. Slope of segment No. 2

By giving different values to the second slope (K,), the deflection profiles were computed.
This procedure was repeated until an optimal slope leading to a good correlation was possible.

5.5.3. Location of break point No. 2

In order to avoid numerical instability, the load at the second break point (load P, in Fig.
11(a)) was defined to be larger than the load in that spring when the ultimate load is developed.
In this manner, the load in each spring would never exceed load P,.

Based on the aforementioned procedure, four groups of springs were identified - type A, B, C,
and D shown in Fig. 11(c). The springs were grouped based on mesh size and whether a spring
would be at a middle or a corner node. Springs coinciding with middle nodes would clearly
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Fig. 9 Deflection profiles at different levels of loading.

have a larger stiffness. The initial stiffness (K,) of the springs at the middle nodes (spring type
B) was found to be approximately 1.61 times larger than the corresponding value for the springs
at the corner nodes (type C). This ratio is rather close to the value obtained based on “work-
equivalent load” . It is emphasized that the identified springs are not unique and other equally ac-
ceptable values are possible.

5.6. Results from improved model

5.6.1. Global response

The computed load-deflection curve (Fig. 8) compares rather well with the experimental
results up to 2848 kN. After this load, the analytical model shows a slightly stiffer response
which is attributed to the influence of large out-of-plane shearing stresses which are not in-
corporated in the failure criteria. The deflection profiles along two representative longitudinal

and transverse instrument lines are also closely matched, refer to Fig. 9(b).

5.6.2. Regional response
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The analytical and experimental load-slab rotation curves at location ROT1 (see Fig. 7 for the
location) are compared in Fig. 10. A very good correlation is evident.

5.6.3. Local response

The computed locations of the first yielding of the slab reinforcing bars are shown in Fig. 12.
The total load at initiation of the first yielding is 2848 kN which is very close to the measured
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Fig. 12 Location of computed and measured initial yielding in slab reinforcement.

value of 2890 kN. The locations of the yielded bars are matched very reasonably as well.
5.7. Epilogue

The preceding discussion points to the importance of proper simulation of the stiffness of slab-
abutment connection which had to be calibrated based on experimental data. Such data are not
typically available. In such cases, only the upper and lower bounds of global responses can rea-
sonably be computed. The stiffness of the trilinear springs in the improved model is between
zero and that of a fully-restrained support. These bounds may be simulated by rollers (i.e., initial
model 2 shown in Fig. 7) and hinges (i.e., initial model 1), respectively. As illustrated in Fig. 8,
the measured load-deflection is bound by the results from these slab-abutment connection
models. Previous discussion of initial model 1 shows that such models are not expected to
match regional and local responses. However, these models can provide an insight into load-car-
rying capacity and stiffness which are typically the primary indices for bridge engineers.

6. Summary, conclusions, and recommendatios
A number of issues related to finite-element modeling of actual structures were examined with

reference to the experimental data from non-destructive and destructive field testing of a three-
span deteriorated reinforced concrete slab bridge. Based on the reported analyses, the following
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observations are made.

(1) Data necessary to simulate damage at a macroscopic level are not typically available. The
loss of slab stiffness due to damage may be approximately taken into account by reducing the
thickness in the damaged regions according to field measurements.

(2) Geometric modeling of slab-pier cap-pier connection did not appreciably affect the
response. This connection can be simulated by a number of reasonable models, such as pier
model 1 shown in Fig. 3.

(3) The common procedure of attaching shell elements nodes to hinges or rollers at abutments
fails to capture the expected behavior at slab-abutment connections. For linear analyses,
abutment model 4 illustrated in Fig. 3 is recommended. For the test bridge, this model could
also replicate the global, regional, and local responses in the nonlinear range up to a total load
equivalent to 4 rating trucks. However, this model fails to simulate slip of the slab at the shear
key, and the correlation of the measured data (particularly of the regional and local responses)
becomes unacceptable at higher loads. In order to ‘regulate” the slab membrane force in ad-
vanced nonlinear range, the hinge supports in abutment model 4 were replaced by nonlinear hor-
izontal springs with trilinear load-deflection characteristics. The information needed to define the
springs was identified through the available experimental data. Using the revised slab-abutment
connection model, it was possible to correlate the measured global, regional, and local responses
at all limit states.

The experimental data used to calibrate the horizontal springs are not typically available. In
such cases, nonlinear analyses can be expected to only establish reasonable upper and lower
bounds of capacity and stiffness which are of primary importance to bridge engineers. Abutment
model 4 is recommended to compute the upper-bound values. The lower-bound values can be
determined by using rollers instead of hinges in abutment model 4. However, such models are
not expected to reliably predict regional and local responses.

(4) The correlation studies clearly indicate that the success of a finite element model has to be
gauged collectively with reference to data at all levels rather than just a limited number of glo-
bal responses.

(5) Available material constitutive models and failure criteria are apparently adequate. Local
variables such as Poisson's ratio or shear retention factor do not influence the response sig-
nificantly, and values within accepted limits can be used. Special attention must be paid to con-
crete tensile strength and post-cracking behavior. A lower bound value of concrete tensile
strength, and a bilinear concrete post-cracking model are recommended for reinforced concrete
slab bridges. The strain at which the tensile stress' drops to zero should be between ap-
proximately 7 to 12 times the cracking strain. Lack of inelastic out-of-plane shear response in
most nonlinear shell elements is a major shortcoming that needs to be overcome.
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